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GENERAL ABSTRACT 
Precast Concrete Elements for Accelerated Bridge Construction 
Precast concrete elements and accelerated bridge construction techniques have the potential to 
improve the health of the U.S. highway system. In precast bridge construction, the individual 
components are manufactured off-site and assembled on-site. This method usually increases the 
components’ durability, reduces on-site work and construction time, minimizes traffic disruption, 
and lowers life-cycle costs. Before widespread implementation, however, the benefits of precast 
elements and accelerated bridge construction must be verified in the laboratory and field. 
For this project, precast bridge elements and accelerated bridge construction techniques were 
investigated in the laboratory and at three bridge projects in Iowa: in Boone County, Madison 
County, and Black Hawk County. The objectives were to evaluate the precast bridge elements, 
monitor the long-term performance of the completed bridges, and evaluate accelerated bridge 
construction techniques.  
The results of these investigations are presented in three volumes, as described below; this 
volume is Volume 2. 
Vol.  1-1. Laboratory Testing of Precast Substructure Components: Boone County Bridge 
1-2. Laboratory Testing of Full-Depth Precast, Prestressed Concrete Deck Panels: 
Boone County Bridge 
1-3. Field Testing of a Precast Concrete Bridge: Boone County Bridge 
In 2006, a continuous four-girder, three-span bridge was constructed that included precast 
abutments, pier cap elements, prestressed beams, and precast full-depth deck panels. All of 
the precast elements performed well during strength testing and were set quickly and 
smoothly during construction, and the completed bridge experienced very small 
displacements and strains when subjected to live loads.  
Vol.  2. Laboratory Testing, Field Testing, and Evaluation of a Precast Concrete Bridge: 
Madison County Bridge 
In 2007, a two-lane single-span bridge was constructed that had precast box girders with 
precast abutments. The elements performed well during laboratory load transfer and 
strength testing, and the completed bridge performed well in terms of maximum deflections 
and differential displacements between longitudinal girder joints.  
Vol.  3. Laboratory Testing, Field Testing, and Evaluation of a Precast Concrete Bridge: 
Black Hawk County 
In 2007, two precast modified beam-in-slab bridge (PMBISB) systems were constructed, 
each of which included precast abutment caps, backwalls, and deck panels. Various deck 
panel configurations transferred load effectively during laboratory testing, and all precast 
elements met expectations. The completed bridges experienced very low induced stresses 
and met AASHTO deflection criteria, while the PMBSIB system effectively transferred 
load transversely.  
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EXECUTIVE SUMMARY 
The importance of rapid construction technologies has been recognized by the Federal Highway 
Administration (FHWA) and the Iowa DOT Office of Bridges and Structures.  Recognizing this 
fact a two-lane single-span precast box girder bridge was constructed in 2007 over a stream. The 
bridge’s precast elements included precast cap beams and precast box girders.  Precast element 
fabrication and bridge construction were observed, two precast box girders were tested in the 
laboratory, and the completed bridge was field tested in 2007 and 2008.  The superstructure and 
substructure bridge elements performed well during laboratory and field testing.   
 
 
 
1 
1. GENERAL INFORMATION 
1.1 Introduction 
Recently, there has been increased interest in constructing bridges that last longer, are less 
expensive, and take less time to construct. The idea is to generally increase the cost-effectiveness 
of bridges by increasing their durability (i.e., useful life) and by minimizing disruptions to the 
traveling public. There may be many ways to achieve more durable, less expensive and rapidly 
constructed structures, however, the most commonly discussed ideas currently include using 
some form of precast, segmental construction. This type of construction has the advantage that 
the individual components are manufactured off-site where increased quality is usually achieved. 
Further, because much of the work is completed away from the bridge site, user disruptions are 
minimized since the amount of labor intensive on-site work is reduced, leading to reduced on-
site construction time. 
Using accelerated construction methods, a precast bridge was constructed by Madison County 
with the assistance of the Iowa Department of Transportation (DOT) and the Iowa State 
University Bridge Engineering Center (BEC). The design concept involved the use of precast 
components for both the bridge substructure and superstructure. The successful implementation 
of this approach has far reaching implications in Iowa as well as nationwide, as there are many 
instances where proven rapid construction techniques could result in significant reductions in 
costs. This project directly demonstrates the effectiveness of innovative materials and 
construction techniques for the construction of new bridge structures.  
This report documents the Madison Co. Precast Bridge including fabrication, construction, 
laboratory testing, and field testing of the bridge. The Madison Co. Precast Bridge is a 
longitudinal pretensioned, two-lane, single span, box girder bridge spanning 46 ft-8 in. center to 
center of supports.  
1.2 Background 
The box girder design used for the Madison Co. bridge is based on designs used by the Illinois 
DOT. Illinois DOT box girders are either 36 in. or 48 in. wide and vary in depth. Shallower 
beams contain circular voids and welded wire fabric for the shear reinforcement. Deeper beams 
contain rectangular voids and the shear reinforcement consists of deformed bars. The deeper 
beams are limited to the 36 in. width to restrict the weight and size of the girders. This allows for 
easy transportation to the project site and placement with a mobile crane (Hawkins and Fuentes, 
2002). 
Precast prestressed concrete box girder bridges were widely used for Illinois State Highways 
during the 1960s and 1970s. Use of these bridges was discontinued for state highways due to 
corrosion problems. Approximately 10 percent of prestressed box girder bridges inventoried on 
Illinois State Highways had experienced significant corrosion, leading to a decreased bridge 
rating and the installment of load restrictions. Because these bridges are economical to build, 
they are still widely used on county roads throughout Illinois (Hawkins and Fuentes, 2002).  
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According to published literature differential deflections between adjacent girders allowed the 
development of reflective cracks along the longitudinal joint between girders. Corrosion of the 
prestressing strands resulted from salt laded water seeping through the cracked joint and into the 
girder. County engineers believe a lack of transverse load distribution between adjacent girders 
is the cause for the longitudinal cracking (Hawkins and Fuentes, 2003). 
Two solutions used by the Illinois DOT to resolve this problem include transversely post-
tensioning the girders together and providing a composite cast-in-place concrete deck. Both 
solutions have worked satisfactorily, but add considerably to the cost of construction, do not 
ensure that corrosion will be prevented, and make replacing damaged girders more difficult. 
These also are not reasonable solutions for retrofitting bridges currently in service (Hawkins and 
Fuentes, 2003). 
1.3 Objectives and Scope 
The overall objective of this project was to perform laboratory and field tests to evaluate the 
Madison Co. precast bridge components and asses the overall design, construction, and 
performance.  
To satisfy the objectives, the project scope included the following tasks: 
• Design of the substructure and superstructure (Note: completed by the Iowa DOT 
Office of Bridges and Structures). 
• Inspection and documentation of the fabrication and construction of the bridge. 
• Laboratory evaluation of the influence of transverse post-tensioning force on 
differential deflection between adjacent box girders. 
• Verification of design assumptions for the box girders through ultimate flexural and 
shear strength testing. 
• Laboratory testing to confirm the adequacy of the box girder-to-guardrail connection. 
• Monitoring of prestress strand corrosion through the use of instrumentation installed 
during fabrication. 
• Evaluation of in-situ structural performance under live loads.  
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2. BRIDGE DESCRIPTION 
The subject bridge is located on a low volume road in the southern part of Madison Co., Iowa, as 
shown in Figure 2.1. Elevation and end view photographs of the completed bridge are shown in 
Figure 2.2. The bridge is a single span precast box girder bridge with a span length of 46 ft-8 in. 
from center-to-center of support, as illustrated in Figure 2.3. The bridge has an out-to-out deck 
width of 24 ft-1 in. and an out-to-out length of 47 ft-10 in. A crushed rock wearing surface is 
present on the bridge. 
 
Figure 2.1. Location of Madison Co. precast bridge 
      
                     a. elevation                                                     b. end view              
Figure 2.2. Photographs of Madison Co. precast bridge 
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b. section A-A 
Figure 2.3. Plan and section of bridge 
The supporting substructure consists of five HP10x42 piles at each abutment and a precast cap 
beam. The precast cap beam is 27 ft-4 in. long, 3 ft wide, and varies in depth from 3 ft-6 in. at 
the ends to 3 ft-9 in. in the middle, as illustrated in Figure 2.3b. The cap beams were precast with 
five corrugated metal pipes (CMP) placed vertically at the pile locations illustrated in Figure 
5 
2.3b. Detailed plans of the cap beam can be found in Appendix A. During construction, the 
precast cap beam was lowered over the piles. In this way the CMP served as sleeves for the piles. 
After placement, the void in the CMP where the pile had been inserted was grouted solid. Wing 
walls and backwalls were constructed utilizing traditional cast-in-place concrete construction 
techniques. 
The bridge guardrail consists of the galvanized steel post and thrie beam extending the full 
length of the bridge shown in Figure 2.4. The guardrail posts are bolted to the exposed face of 
each exterior girder with two 1 in. diameter embedded bolts. No curbs are present on the bridge.  
 
Figure 2.4. Photograph of bridge guardrail system 
2.1 Box Girder Properties 
Concrete for the box girders was specified to be in accordance with Section 9 of the AASHTO 
Standard Specifications for Highway Bridges (2002). The concrete compressive strength was 
specified to be 5000 psi.  
Dimensions for the box girders are given in Figure 2.5. The box girders had an overall length of 
47 ft-10 in. Each girder was 4 ft wide.  
As illustrated in Figure 2.6, the hollow section within the box girder began 2 ft-6 in. from the 
end of the girder, continued for 20 ft-11 in., and ended 6 in. from midspan. The girder, at 
midspan and at the ends, were solid concrete. The hollow portion of the girder had dimensions of 
approximately 1 ft-4 1/2 in. by 3 ft-3 in. This resulted in two 4 1/2 in. thick webs, a top slab with 
a 5 1/2 in. thickness, and a bottom slab with a 5 in. thickness.  
The 4 in. by ¾ in. shear key can be seen in Figure 2.5c in the vertical face of the box girder. The 
purpose of the shear key is to assist in transferring load between adjacent box girders. Only 
girders with webs adjacent to other girders contained a shear key; the exterior face of the exterior 
girders did not possess a shear key.  
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c. section A-A 
Figure 2.5. Box girder dimensions 
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a. top of top slab reinforcement 
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b. bottom of top slab reinforcement 
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c. section A-A 
Figure 2.5. Box girder reinforcement layout 
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d. profile view of reinforcing layout 
Figure 2.5. Box girder reinforcement layout 
Reinforcement details for the box girders are shown in Figure 2.5. One-half inch diameter, 
seven-wire, uncoated, low-relaxation prestressing strand plus mild #5 reinforcing bars provided 
the flexural reinforcement. Thirteen strands were placed in the bottom slab and tensioned to a 
total force of 390 kips. Strands located in the web and in the top slab were not prestressed. These 
strands, at the request of the fabricator, replaced the #4 and #5 mild reinforcing bars which ran 
the full girder length in the original plans.  
Shear reinforcement consisted of overlapping U-shaped bars. These bars were spaced at 8 in. for 
the first 2 ft of the girder, then at 7 in., and finally at 11 in. At midspan the stirrups were spaced 
at 8 in., 6 in., and 8 in., as shown in Figure 2.5a and d.  Number 4 bars were used for all of the 
top U-bars. The first four bottom stirrups from either end of the box girder were #4 bars, while 
the rest of the bottom U-bars were #3 bars.  
The box girders specified to be exterior girders contained 1 in. diameter anchor bolts for 
connecting the guardrail posts. The spacing for the posts is shown in Figure 2.6 and varied from 
4 ft-7 in. to 5 ft-6 in. The guardrail posts consisted of 3 ft-4 in. HSS6x3x1/4 sections. Nine posts 
connected the guardrail to the box girder. A 12 gauge thrie beam was used for the guardrail. 
Each post is connected to a steel base plate with a 3/4 in. diameter ASTM A325 bolt and a 3/8 in. 
bolt. Base plates were 7 in. by 8 in. and had a thickness of 3/4 in. The base plates were bolted to 
two 1 in. diameter anchor bolts embedded in the box girder. A steel bearing plate, shown in 
Figure 2.6d, fit between the head of the 3/4 in. diameter bolt and the post.  
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a. plan view of guardrail post spacing 
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b. profile view of guardrail and connection 
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Figure 2.6. Box girder guardrail properties 
2.2 Fabrication Observations 
The research team was present during various stages of the girder fabrication. Initial casting 
began on November 16, 2006. Because of cracking that developed in two girders during curing, 
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the final girders were not cast until December 21, 2006. A total of eight box girders were cast, 
with six used for the field bridge and two for laboratory testing.  
For convenience, two box girders were cast at a time and occurred in one prestressing bed, with 
bulkheads separating the two girders. Thirteen prestressing strands can be seen in the bottom of 
the form in Figure 2.7. Strands were run the entire length of the form for both girders and 
stressed to a total initial force of 390 kips.  
 
Figure 2.7. Photograph of box girder form with bottom pretension strands 
Figure 2.8 shows the top reinforcing steel and the foam block used to form the girder core. The 
foam core formed the hollow box shape within the girder without having a significant impact on 
the box girder properties. Also seen in the figure are steel plates placed across the foam core. 
These plates provided ballast to keep the foam from rising during concrete placement.  
 
Figure 2.8. Photograph of top of beam reinforcing and foam core 
Two lifting loops were cast into the ends of each girder and are shown in Figure 2.9. The lifting 
loops consisted of two 1/2 in. 270 ksi strands placed 1 ft-3 in. from the girder ends. The lifting 
loops were to be cut off at or slightly below the girder surface once the girders were set in place 
at the bridge site. Also seen in Figure 2.9 is the end reinforcing steel and the termination of the 
foam core at approximately 2 ft-6 in. from the girder end.  
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The midspan transverse tie duct is shown in Figure 2.10. A duct with an inside diameter equal to 
3 in. was used. The duct provided a space for the 1 in. diameter threaded rods used for lateral 
post-tensioning of all box girders.  
 
Figure 2.9. Photograph of end reinforcing and lift points 
 
Figure 2.10. Photograph of midspan transverse tie duct 
The box girders were cured for 18 hours prior to releasing the prestressing force. The concrete 
was to have a compressive strength equal to at least 3,587 psi at release. Heat was provided at 
the ends of the formwork and blown along the length of the girders during curing. The relative 
humidity during curing was specified to be 75%. A girder being removed from the forms after 
curing is shown in Figure 2.11. 
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Figure 2.11. Photograph of crew lifting girder out of forms 
2.3 Field Construction Observations 
The research team was not present during the construction of the precast abutment cap beam. 
However, the contractor stated the placement of cap beam went relatively quickly and no major 
problems were encountered. The contractor did state when driving the piles that close attention 
must be paid to the location and tolerances of the pile head. Pile heads could not deviate from the 
specified plan locations more than 3” in any direction in order to allow easy installation of the 
precast beam. Figure 2.13 displays some of the steps required to install the precast pile cap 
beam.  
      
  a. finished installation of steel piles        b. lifting of precast abutment cap    
Figure 2.12. Photographs of precast pile cap beam installation 
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c. finished precast abutment 
Figure 2.13. Photographs of precast pile cap beam installation 
Figure 2.15 shows some of the processes involved in erecting the box girders. The girders were 
delivered individually to the site on a flatbed trailer. Fifteen to twenty minutes were spent 
unloading and placing each girder. The longest process during erection was eliminating any 
difference in elevation at the joints of adjacent girders by adding neoprene pad shims between 
the girder and cap beam. After each successive girder was placed, the transverse tie rod was 
thread through the girder. When the placement of all the girders was complete the tie rod was 
hand tightened to apply a transverse post-tensioning force to the girders. The girders were 
secured to the abutments by two vertical dowel bars that were drilled and placed in the abutment 
cap beam. Erection completed with the grouting of the longitudinal keyways, dowel bars 
connections, and transverse tie rod duct. 
      
  a. delivery of box girder to site                       b. moving box girder into place  
Figure 2.14. Photographs of box girder placement sequence 
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  c. placing girder into final position           d. box girders in final position      
Figure 2.15. Photographs of box girder placement sequence 
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3. LABORATORY TESTING 
Laboratory testing conducted during this work included concrete material testing, testing to 
determine the influence of transverse post-tensioning, flexural capacity testing, shear capacity 
testing, and guardrail connection strength testing.  One of the two precast box girders used for 
this testing sequence is shown in Figure 3.1. 
 
Figure 3.1. Photograph of a precast box girder used for laboratory testing 
3.1 Concrete Strength Test 
Three concrete cores were obtained to determine the concrete compressive strength of the box 
girders. Cores were taken once all subsequently described tests were completed. Locations of the 
cores are shown in Figure 3.2 (labeled as “A”, “B”, and “C”).  All cores were taken from the 
midspan of the girder at locations above the post-tensioning duct. This location allowed a 
specimen of the appropriate length to be obtained and easily removed after coring.    
2'-6" 6"20'-11"
5"
1'-514"
1'-5"
3"
A
B
C
 
Figure 3.2. Box girder concrete core locations 
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The provisions of ASTM C 42 were strictly followed when obtaining the three previously 
mentioned concrete cores. Cores had a diameter of 3 in. and a length of 7.25 in. at the time taken. 
Once removed from the girder, both ends of the core were cut to leave a 6 in. specimen. The 
cores were then tested in accordance with ASTM C 39 to determine the compressive strength of 
the concrete. 
3.2 Variable Post-Tensioning Force Test 
The objective of the variable post-tensioning force test was to determine the amount of post-
tensioning force required to reduce or eliminate differential displacement between adjacent box 
girders and to improve the lateral load transfer between adjacent girders. Figure 3.3 illustrates 
the setup for this testing. First, abutments allowing sufficient space for deflection transducers 
below the girders were positioned to provide the desired span length. Once the abutments were 
set, pin and roller connections were placed. Two box girders were then positioned as shown in 
Figure 3.3b. Next, a shear key was cast. In this case Five Star Grout was used for the shear key. 
After allowing the shear key adequate time to cure and obtain a constant compressive strength 
equal to 7900 psi, the post-tensioning force was applied at midspan.  
       
a. abutment and roller placement           b. placement of girders on supports   
 
            
c. girders with the shear key cast.                  d. post-tensioning bar and jack  
Figure 3.3. Photographs of laboratory setup for variable post-tensioning force tests 
Presented in Table 3.1 are the post-tensioning forces applied during testing. A 1 in. diameter 
Dywidag bar was used to apply the force to the girders. Testing began with application of the 
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largest post-tensioning force and ended with no force. This sequence was utilized to postpone 
damaging the shear key. After these tests concluded, a set of tests were conducted with the 
combination of no shear key (removed by splitting apart the girders with a crane and chipping 
away the shear key grout with a chipping hammer) and a hand-tight post-tensioning force. 
Table 3.1. Post-tensioning forces applied during testing 
Condition Force (kips) 
No bar 0 
Hand-tight 4.3 
20% of Fy 11.8 
30% of Fy 17.7 
40% of Fy 23.6 
50% of Fy 29.5 
70% of Fy 41.3 
 
Point loads were applied at 1/8, 1/4, 3/8, and 1/2 the length of the span longitudinally (sections 
A, B, C, and D in Figure 3.4). Transversely, the loads were applied at the center of each girder 
and at a distance of 1 ft- 4 in. from the exterior edge of the girder (positions 1, 2, 3, and 4 in 
Figure 3.4). With this arrangement 16 load positions were evaluated. The designation of each of 
these load locations is given in Figure 3.4. The 1 ft- 4 in. distance was chosen to place the load 
as close as possible to the girder edge without being directly on a concrete strain gage. 
Girder 2
Girder 1
DCBA
1'-4"
2'
4
3
2
1
2'
5'-9 916" 5'-9
9
16" 5'-9
9
16" 5'-9
9
16"
CENTERLINE OF BEARING CENTERLINE OF BEARING
23'-2 1/4"
 
Figure 3.4. Variable post-tensioning loading locations 
A 10 in. by 20 in. steel plate was used to transfer the load to the box girders for this series of 
tests. This footprint was selected to simulate that of the tandem truck wheel. Neoprene pads were 
placed between the steel plate and the girder in an attempt to more equally apply the load to the 
girder surface. The tandem wheel footprint along with the load cell and hydraulic load cylinder 
are shown in Figure 3.5. 
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Figure 3.5. Photograph of tandem wheel footprint used during the variable post-tensioning 
force tests 
The total vertical load applied at each load point was 32 kips. Data were recorded in 4 kip 
increments. Instrumentation on each girder included 10 deflection transducers and 12 concrete 
strain gages (a total of 20 deflection transducers and 24 strain gages). Deflection transducers 
were located at locations 1/8, 1/4, 3/8, 1/2, and 3/4 of the span length and were placed 1 in. from 
each girder edge. Concrete strain gages were installed at the quarterspan and midspan, 4 in. from 
the girder edge. Strain gages were placed on the top and bottom girder surfaces. Figure 3.6 
shows the instrumentation grid for this series of tests. 
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Figure 3.6. Instrumentation grid for variable post-tensioning force tests 
Examples for gage names for this test are G1L2C.CB and G2L3D.T. The name consists of four 
parts: first is a G1 or G2, representing if the gage is connected to girder 1 or girder 2; second is 
L#, explaining which longitudinal line the gage is on, L1, L2, or L3; third is a letter A, B, C, D, 
or E to represent the transverse line located at 1/8, 1/4, 3/8, 1/2, and 3/4 the span length, 
respectively; and finally a .CT, .CB, or T standing for the type of gage and surface, a concrete 
strain gage on the top surface, concrete strain gage on the bottom surface, or a deflection 
transducer, respectively.  
3.3 Flexural Strength Test 
The goal of this testing was to experimentally determine the flexural strength of a single box 
girder. In order to test the box girder in a moment only condition, two line loads were applied 
equidistant from the supports. By doing this, a region of constant moment and zero shear was 
developed between the applied loads. Loads were positioned 20 ft-9.5 in. from the supports and 
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4 ft-9.5 in. apart. An HSS10x6x1/4 served as the footprint for the line load. The setup and 
spacing of loads for the flexural strength test is shown in Figure 3.7.  
20'-9 1/2" 20'-9 1/2"4'-9
1
2"
6"P P
 
a) load locations 
 
           
        b. photograph of test setup                                       c. photograph of load points     
Figure 3.7. Laboratory setup to test flexural strength of a box girder 
Instrumentation used for this test included ten deflection transducers and twelve strain gages. 
Locations for the gages are shown in Figure 3.8. Deflection transducers were located at points 
1/8, 1/4, 3/8, 1/2, and 3/4 of the girder span and 1 in. from the longitudinal girder edges. Strain 
gages were attached at quarterspan and midspan, at a distance of 4 in. from the longitudinal 
girder edge.  
CENTERLINE OF BEARING
CENTERLINE OF BEAERINGA B C D E
1"
1"
4"
4" STR
A
IN
 G
A
G
E LIN
ESTR
A
N
SD
U
C
ER
 L
IN
ES L1
L25'-9 916" 5'-9
9
16" 5'-9
9
16" 5'-9
9
16" 11'-7
1
8" 11'-7
1
8"  
Figure 3.8. Instrumentation locations 
3.4 Shear Strength Test 
The goal of this test was to experimentally determine the shear strength of a single box girder. 
The same girder that was tested in flexure was used for the shear test. For this testing an 
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HP10x42 beam was used to apply a line load to the girder a distance of 5 ft-3.75 in. from the 
support. Figure 3.9 shows the load location and general setup for the test.  
5'-334"41'-0 3/4"
1018"
 
a. location of load 
 
 
b. photograph of test setup 
Figure 3.9. Shear strength test setup 
Instrumentation used for this test includes twelve concrete strain gages, ten deflection 
transducers, and eight strain rosettes. Locations for the twelve concrete strain gages and ten 
deflection transducers are shown in Figure 3.10. Deflection transducers were placed at the 1/8, 
1/4, 3/8, 1/2, and 3/4 points longitudinally, and strain gages were at the 1/4, 1/2, and 3/4 points.  
Four rosettes were installed on each web of the tested girder, resulting in eight rosettes total and 
a total of 24 strain measurements. Locations for the rosettes shown in Figure 3.11 were selected 
with the goal of developing a shear crack between the rosettes. An example of a rosette number 
is R1N, with R1 located at the position shown in Figure 3.11a and N indicating the rosette is on 
the north web of the girder.  
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Figure 3.10. Transducer and concrete strain gage grid for shear strength test 
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b. rosette configuration 
Figure 3.11. Rosette layout for shear strength test 
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3.5 Guardrail Connection Test 
To test the guardrail system, six posts and two guardrail sections were connected to a box girder 
for testing. This allowed for four test locations, shown in Figure 3.12, to be examined. Test 1 and 
3 involved loading the guardrail between two posts, posts 1 and 2 and posts 5 and 6, 
respectively. The load was applied directly to post 4 for test 2 and to post 3 for test 4. 
BOX GIRDER
P1 P4 P2 P3
3"134"
2'-312" 2'-9"2'-3
1
2" 2' 2' 2' 2' 2'-9"
 
Figure 3.12. Guardrail connection test load locations 
Load was applied at a height of 20 in. above the box girder surface, as shown in Figure 3.13. A 
timber box with a 48 in. length, 20 in. width, and 5 in. depth was used to apply the load to the 
guardrail. The box was 48 in. long to meet AASHTO requirements for transverse design forces 
for guardrails. Figure 3.13 shows the test setup.  
P
1'-10"
      
        a. profile view of test setup                  b. photograph of laboratory setup 
Figure 3.13. Guardrail connection test setup 
All six guardrail posts and connections were instrumented for the guardrail strength tests. Figure 
3.14a shows the order the posts were numbered and how they will be referred to herein. Figure 
3.14b shows where the instrumentation was installed. Two steel strain gages and three deflection 
transducers were installed on each post. Strain gages were attached 6 in. above the surface of the 
box girder on opposite faces of the post. Deflection transducers were connected at 22 in. above 
the box girder surface, on the 3/4 in. connection bolt, and at 10 1/8 in. above the box girder 
23 
surface. An example of a gage number for a post gage is 3S2, which represents post 3, a steel 
strain gage, and gage 2. 
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a. guardrail post numbering system 
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b. guardrail post instrumentation locations 
Figure 3.14. Guardrail post instrumentation 
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4. LABORATORY TEST RESULTS 
The following chapter presents an analysis and summary of the results obtained from the 
previously described laboratory testing. Presented here are concrete strength results, variable 
post-tensioning force results, girder flexural and shear strength results, and guardrail connection 
capacity results. 
 
4.1 Concrete Strength Test Results 
Compressive strength results for the concrete cores taken from the box girder are presented in 
Table 4.1. The compressive strengths ranged from 10,150 psi to 11,550 psi. In this work 11,000 
psi (the average of the three tests) was used for calculations requiring a concrete compressive 
strength. 
Table 4.1. Box girder concrete core strengths 
Core Compressive Strength (psi) 
A 10,150 
B 11,260 
C 11,550 
Average 11,000 
 
4.2 Variable Post-Tensioning Force Test Results 
Figure 4.1 presents the strains at midspan for the case of a load applied at location D1 (see 
Figure 3.4) and a post-tensioning force of 17 kips. The 17 kip results are representative of the 
results for any post-tensioning force, as the strain did not vary significantly with the post-
tensioning force. Loading along line “D” resulted in the highest magnitude strains.  
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Figure 4.1. Total strain at midspan with load at D1 and a post-tensioning force of 17 kips 
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From Figure 4.1, one can see the induced strains were small in magnitude. Cracking did not 
occur during this test (or any of the variable post-tensioning tests). Strains along line 2 were 
similar in magnitude from girder 1 to girder 2, which shows the load is being transferred between 
the girders. 
Measured deflections for a load at D1 and post-tensioning force of 17 kips are shown in Figure 
4.2. As with the strain results, results for this location are typical of all combinations of load 
along line “D”.  
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a. deflections at midspan 
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b. deflections at quarterspan 
Figure 4.2. Deflection results at point D1 with a 17 kip post-tensioning force 
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Figure 4.2 shows deflections were largest directly below and in the vicinity of the load. 
Deflections also generally increase linearly with increasing load. Transducers along line 2, 
which were located on either side of the shear key, recorded similar deflections for each box 
girder. This would indicate that there is minimal differential movement between the girders at 
the shear key.  
Table 4.2 presents a summary of the differential deflections calculated from the transducers 
located along line 2 for the different post-tensioning force levels. All the results are for a load at 
location D1. The data do not support the theory of a decreased post-tensioning force resulting in 
an increased differential deflection. Instead, the differential deflections are consistent, with those 
at midspan (L2D) being the only exception. Midspan differential deflections do not show a 
trend; rather, the differential deflection increased significantly when decreasing the post-
tensioning force from 29.5 kips to 23.6 kips, but then tended to decrease as the force decreased.  
Table 4.2. Differential deflection for load point D1 and various post-tensioning forces 
PT Force 
(kips) 
L2A 
(in.) 
L2B 
(in.) 
L2C 
(in.) 
L2D 
(in.) 
L2E 
(in.) 
41.3 0.005 0.001 0.003 0.001 0.001 
29.5 0.001 0.000 0.002 0.003 0.000 
23.6 0.000 0.002 0.002 0.011 0.000 
17.7 0.000 0.001 0.004 0.007 0.002 
11.8 0.002 0.005 0.002 0.006 0.002 
4.3 0.002 0.000 0.004 0.004 0.003 
0 0.004 0.001 0.003 0.010 0.001 
 
Presented in Figure 4.3 and Figure 4.4 are the load fractions for a load at D1 for the various post-
tensioning levels. Figure 4.3 shows the load fractions calculated from the midspan deflections, 
and Figure 4.4 shows the load fractions for the deflections at quarterspan. In both cases the 
figures show the load fraction plotted against the post-tensioning force.  
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Figure 4.3. Load fractions at midspan for various post-tensioning forces and load at D1 
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Figure 4.4. Load fractions at quarterspan for various post-tensioning forces and load at D1 
Comparing Figure 4.3 and Figure 4.4 one can see that the load is being transferred equally along 
the entire length of the box girders. Also shown is that a low post-tensioning force did not 
negatively impact the load fraction. Once the post-tensioning force reached 25 kips, the load 
transferred between girders increased. However, testing showed the difference in the load 
fractions for each girder with zero post-tensioning force and with a 41.3 kip post-tensioning 
force was approximately 2%, which is likely insignificant. 
For comparison with Figure 4.3 and Figure 4.4, Figure 4.5 and Figure 4.6 show plots of the load 
fraction for a load at B1 (as opposed to at D1 in Figure 4.3 and Figure 4.4) for the deflection at 
midspan and quarterspan, respectively. A comparison of the figures shows load is transferred 
better at midspan than at quarterspan, because the midspan load fractions are closer to 0.50. This 
is as one would expect because the post-tensioning force was located at midspan. 
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Figure 4.5. Load fractions at midspan for various post-tensioning forces and load at B1 
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Figure 4.6. Load fractions at quarterspan for various post-tensioning forces and load at B1 
Table 4.3 presents a comparison of the load fractions with and without the shear key intact for a 
load at D1 and a hand-tight post-tensioning force (i.e., that was used in the constructed bridge). 
The values illustrate the majority of the load is transferred through the shear key. Without the 
presence of the shear key, only 5 percent of the load was transferred to Girder 1, whereas Girder 
1 carried 45 percent of the load with the shear key in place.  
Table 4.3. Load fractions for a load at D1 for a hand-tight post-tensioning force 
Condition Girder 1 Girder 2 
With Shear Key 0.453 0.547 
No Shear Key 0.049 0.951 
 
4.3 Flexural Strength Test Results 
A photograph of the cracked box girder after testing is shown in Figure 4.7. The first cracks were 
observed at a load of 56.5 kips, which is equivalent to a moment of 781 kip*ft. Cracks tended to 
progress horizontally after reaching the shear key. Coincidentally, this is approximately the 
location where the chamfer began and the thickness of the web increased.  
Table 4.4 presents the theoretical and experimental cracking moment values. The Iowa DOT 
calculated the theoretical cracking moment to be 721 kip*ft. Two different experimental 
cracking moments were calculated. One was calculated using the strains measured during 
loading and Hooke’s Law, while the other value was based on the moment due to the measured 
applied load. Using the measured strain value, cracking occurred at a moment of 856 kip*ft. 
Similarly, a cracking moment of 781 kip*ft was calculated from the applied loads. Both of the 
experimental values exceed the theoretical crack moment. Note that the theoretical cracking 
moment was calculated assuming a concrete strength of 5,000 psi. 
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Figure 4.7. Photograph of flexural cracking after flexure test 
Table 4.4. Box girder cracking moment 
Cracking Moment Moment (kip*ft) 
Theoretical 721 
Experimental - From Strains 856 
Experimental – From Loading 781 
 
The theoretical and experimental capacities of the box girder are presented in Table 4.5. The 
theoretical flexural strength was determined by the Iowa DOT (with the same compressive 
strength assumption as stated previously). It should be noted that the experimental capacity is not 
the point at which failure occurred; the box girder was not failed in flexure. Loading was stopped 
at this point because of the desire to keep the box girder intact for the shear strength test.  
Table 4.5. Box girder flexural strength 
Strength Moment (kip*ft) 
Theoretical 955 
Experimental* 962 
* testing was concluded prior to failure 
 
The moment at midspan due to the applied loading is plotted in Figure 4.8. Also plotted is the 
moment induced by the design HS20-44 loading. HS20-44 loading with half the load acting on 
the box girder and a 14 ft wheel spacing will develop a maximum moment equal to 278 kip*ft. 
The midspan moment exceeded the HS20-44 moment at a load equal to 26.7 kips.  
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Figure 4.8. Moment at midspan of the box girder 
A plot of the total stress at midspan versus the applied load is shown in Figure 4.9. These 
stresses are the total stress in the bottom fiber of the box girder due to the applied load, 
prestressing force, and self weight. When loading began, the fibers were estimated to be under an 
800 psi compressive stress. This was an approximate value calculated using a concrete 
compressive strength of 11 ksi and a modulus of elasticity determined from an empirical 
relationship (Nawy, 2003). Assumptions regarding prestress losses had to be made to determine 
the stresses due to prestressing. Losses due to elastic shortening, creep, concrete shrinkage, and 
relaxation were assumed to equal 29.6 ksi. 
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Figure 4.9. Tensile stress at midspan of the box girder 
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Stresses first became tensile at a load of approximately 38 kips, which exceeds the 26.7 kip 
applied load that develops a moment equivalent to that of the design truck. During the 
subsequent load cycles, the bottom fibers experienced tension at lower loads. This resulted from 
residual stresses in the girder due to nonlinear behavior. 
AASHTO specifies a maximum service limit state tensile stress equal to 424 psi for a concrete 
compressive strength of 5000 psi. This stress was first exceeded with an applied load of 49 kips. 
The stress was exceeded at a lower applied load during following cycles, most likely due to 
nonlinear behavior. Tensile stresses at quarterspan never exceeded the service limit state stress. 
The Iowa DOT calculated the cracking stress for the box girder was equal to 530 psi. This stress 
was reached at a load of 52 kips. Cracking was observed at a load of 56.5 kips.  
Figure 4.10 shows the total compressive stress at midspan versus the applied load. The total 
compressive stress is due to the applied load, self weight, and prestressing force. Stresses were 
calculated by assuming prestress losses related to elastic shortening, creep, concrete shrinkage, 
and relaxation equal to 29.6 ksi and the using an empirical relationship to calculate the modulus 
of elasticity. Compressive stresses were a maximum in the top fibers at midspan. AASHTO 
specifies a maximum compressive stress equal to 3,000 psi for the service limit state and a 
concrete compressive strength of 5,000 psi. The service level compressive stress was first 
exceeded at an applied load of 62 kips and at lower loads during subsequent load cycles due to 
nonlinear behavior.   
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Figure 4.10. Total compressive stress at midspan of the box girder 
AASHTO also specifies a maximum compressive stress for the service limit state based on the 
summation of the live load and one-half the sum of the effective prestress and dead load. The 
allowable stress is 2,000 psi for this limit state for a concrete compressive strength equal to 5,000 
psi. Figure 4.11 presents the stresses for this limit state plotted against the applied load. The 
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service limit state compressive stress is first exceeded at a load equal to 56.5 kips and at lower 
loads during subsequent load cycles due to nonlinear behavior. 
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Figure 4.11. Compressive stress due to applied load and one-half the dead load and 
prestressing force at midspan of the box girder 
In Figure 4.12 the theoretical deflection at midspan calculated by the research team is compared 
to the experimental deflection. The experimental results show the box girder had a lower flexural 
stiffness than the theoretical results predicted for higher loads. When loading ended, the 
deflection was 3.00 in. Theoretically, the deflection should have been 2.50 in. for the same load.  
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Figure 4.12. Deflection versus load plot for box girder flexural strength test 
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4.4 Shear Strength Test Results 
Figure 4.13a shows the shear crack after testing concluded. The angle of the shear crack was 
measured to be approximately 45 degrees. Inspection of the failure afterwards revealed a #3 
stirrup fractured at the time of failure. This can be seen in Figure 4.13b.  
     
       a. shear crack after failure                                        b. fractured stirrup           
Figure 4.13. Photographs of box girder after shear failure 
Both the theoretical and experimental box girder shear strengths are presented in Table 4.6. The 
theoretical shear strength calculated by the Iowa DOT was 79 kips, and the experimental shear 
strength was 197 kips. The discrepancy between these values is likely because the theoretical 
strength was calculated using a concrete compressive strength equal to 5,000 psi, not the 11,000 
psi strength the concrete had. 
Table 4.6. Box girder shear strength 
Strength Shear Force (kips) 
Theoretical 79 
Experimental 197 
 
A plot of shear force versus the applied load is shown in Figure 4.14. Included in the figure is the 
maximum shear force induced by an HS20-44 loading. This shear force is equal to 27.0 kips and 
is reached during testing at a load equal to 30.5 kips.  
 
The principle strains at rosette 2N due to the applied load are plotted in Figure 4.15. Strains for 
rosettes at the same height and on opposite webs were the same. As shown in the figure, the 
tensile and compressive strains were similar for equal loading until just prior to cracking. Prior 
to cracking the tensile strain increased suddenly, whereas the compressive strain still exhibited 
linear behavior. The maximum compressive strain was 138 microstrain, and the maximum 
tensile strain was 150 microstrain. 
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Figure 4.14. Shear force in the box girder 
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Figure 4.15. Principle strains due to applied load at rosette 2N during shear strength 
testing 
Figure 4.16 displays the total principal stress plotted against the applied load for rosette 2N. 
Stress calculations required assumptions regarding prestress losses related to elastic shortening, 
creep, concrete shrinkage, and relaxation (the same assumptions used previously were made 
here). An empirical relationship was used to calculate the modulus of elasticity. At a load of 63.5 
kips, the total tensile principal stress exceeded the AASHTO maximum allowable tensile stress 
for the service limit state, 424 psi. The theoretical cracking stress calculated by the Iowa DOT 
was 530 psi and was reached at a load of 85 kips. Cracking actually occurred at 115 kips. The 
difference between when cracking was predicted to occur and when cracking occurred is a 
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function of the theoretical value using a concrete compressive strength equal to 5,000 psi. 
Maximum compressive stresses specified by AASHTO for the service limit state were not 
approached during the shear test.  
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Figure 4.16. Principal stresses due to the total load at rosette 2N 
Deflections measured at quarterspan during the shear test are plotted in Figure 4.17. These 
deflections are plotted along with two plots of theoretical deflections. The theoretical deflections 
were calculated by the research team. One theoretical deflection uses the gross moment of inertia 
for the box girder, and the second uses the final effective moment of inertia from the flexural 
strength test. As can be seen in the figure, the majority of the experimental deflections plot 
between the two theoretical curves, meaning the moment of inertia lies between the uncracked 
value and effective value from the flexural test. The deflection prior to failure was 2.48 in., 
whereas the maximum theoretical deflection was 1.98 in.  
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Figure 4.17. Theoretical and experimental deflections at quarterspan during shear test 
4.5 Guardrail Connection Test Results 
Figure 4.19 shows the components of the guardrail connection after different post failures. The 
base plate for each post yielded during testing. Figure 4.19a shows the yielded base plate for 
post 1, along with a longitudinal concrete crack that developed. Post 1 was the only location 
where longitudinal concrete cracking occurred. During loading, the portion of the post base 
bearing against the base plate buckled, which is shown in Figure 4.19b. The width of the posts 
was measured to have increased as much as 1/2 in. to 3.5 in. A ruptured 3/4 in. bolt from test 2 is 
shown in Figure 4.19c, and sheared base plate threads can be seen in between the threads of a 
3/4 in. bolt in Figure 4.19d. A summary of the results for the guardrail connection tests are 
presented in Table 4.7. Values presented in the table include the magnitude of the maximum 
applied load, at which post the failure occurred, the force carried by the post, the force applied to 
the 3/4 in. bolt at failure, the capacity of the connection, and the failure type.   
      
a. yielded base plate and concrete cracking                   b. buckled post 
Figure 4.18. Photographs of failed guardrail connection elements 
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              c. ruptured bolt               d. bolt with sheared base plate threads 
Figure 4.19. Photographs of failed guardrail connection elements 
Table 4.7. Guardrail connection test summary 
Test 
Number 
Applied 
Load 
(kips) 
Failed 
Post 
Post Force 
(kips) 
Applied Bolt 
Force 
(kips) 
Connection 
Capacity 
(kips) 
Failure 
Type 
1 15.4 1 7.29 41.0 39.7 Bolt Rupture 
2 16.9 4 7.45 41.9 39.7 Bolt Rupture 
3 13.4 6 6.52 36.7 32.2 Sheared Threads 
4 11.1 3 5.68 32.0 32.2 Sheared Threads 
 
Loading during test 1 reached 15.4 kips. At this load, the 3/4 in. bolt connecting post 1 to the 
base plate ruptured. Using the strain data collected during testing, a 7.29 kip force was resisted 
by the post at failure. Using simple statics, this is equivalent to a tensile force of 41.0 kips in the 
bolt. The published strength of a 3/4 in. bolt is 39.7 kips. 
The applied load during test 2 reached 16.9 kips. The 3/4 in. bolt connecting post 4 to the base 
plate ruptured during the test. The bolt force equaled 41.9 kips. 
Failure during Test 3 occurred when the threads of the post 6 base plate sheared. The theoretical 
force required to shear the base plate threads was 32.2 kips, and the applied bolt force was 
calculated to be 36.7 kips. One explanation for this discrepancy would be the shear area of the 
threads exceeding the area used in the calculations.  
Test 4 ended when the threads sheared from the base plate for post 3. The maximum applied load 
equaled 11.1 kips, which resulted in a force of 5.68 kips acting on post 3. This resulted in a force 
of 32.0 kips acting on the bolt.  
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One observation of the test results is that tests 1 and 2 exceeded the 13.5 kip AASHTO design 
transverse force for a level 1 bridge rail. The maximum load for test 3 was 13.4 kips, slightly less 
than the AASHTO design force. Loading during test 4 reached 11.1 kips, 82% of the design 
load. However, all tests conducted after test 1 were to a damaged specimen. Yielded base plates 
and ruptured bolts were not replaced between the tests. Therefore, the load in test 1 was applied 
to a guardrail supported by six posts, whereas during test 4 the load was distributed to three 
posts. This may explain the decreased capacity of the connection in tests 3 and 4. Test 2 had the 
largest applied load because there were posts on either side to distribute load to. 
A second observation of Table 4.7 is the post where the connection failure occurred carried 
between 44% and 52% of the applied load. This would be expected because the location where 
failure occurred had the load either applied directly to the post or to the span adjacent to the post.  
Figure 4.20 shows the post deflections during test 1. Post 1 underwent the largest deflection, 
reaching 6.34 in. prior to failure. Posts 1, 2, and 3 deflected outward from the box girder, 
whereas posts 4 and 5 deflected inward 0.28 in. Deflections for posts 4, 5, and 6 were excluded 
from the plot because they were approximately zero. Deflection 5T3 was plotted because this 
was the largest inward deflection, equaling 0.285 in. Minimal load reached post 6, with the post 
deflected outward 0.003 in. at failure. The deflected shape of the top of the guardrail 
immediately prior to failure is plotted in Figure 4.21.  
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Figure 4.20. Post deflections during test 1 
39 
-1.0
0.0
1.0
2.0
3.0
4.0
5.0
6.0
7.0
0.0 5.0 10.0 15.0 20.0 25.0 30.0
Location Along Guardrail (ft)
D
ef
le
ct
io
n 
(in
.)
 
Figure 4.21. Deflected shape of the top of the guardrail at failure 
Post strains recorded during test 1 are plotted in Figure 4.22. All strains exhibited a linear 
response under loading. Posts 1 and 2 carried the majority of the load. Post 3 did not carry any 
load until the applied load reached 8 kips. The maximum strain equals a stress of 20.7 ksi in post 
1, which is less than the 46 ksi yielding stress. Strains for posts 4, 5, and 6 were insignificant 
when compared to the strains of posts 1, 2, and 3. 
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Figure 4.22. Post strains during test 1 
Results for test 2 are presented to supplement those for test 1. Test 2 results better represent the 
field conditions because the guardrail is continuous over the entire bridge span. The load was 
applied next to an end post during test 1, which would not occur in the field. An interior post was 
40 
loaded for test 2, resulting in better load distribution and eliminating a free end subject to large 
deflections. However, the results of test 1 would represent a worse-case scenario. 
Displacements for each post during test 2 are plotted in Figure 4.23. All deflections 
approximately equal to zero were removed from the plot for clarity. Post 4 exhibited the greatest 
deflections, reaching 3.99 in. Equal deflections were measured for posts 3 and 5. This was 
expected because the posts are located on either side of and equidistant from post 4. 
0
2
4
6
8
10
12
14
16
18
-2.0 -1.0 0.0 1.0 2.0 3.0 4.0 5.0
Displacement (in.)
Lo
ad
 (k
ip
s)
1T2 2T3 3T2 3T3 4T2 4T35T2
5T3
6T3
 
Figure 4.23. Post displacements for test 2 
Deflections in the field may actually be greater than those recorded because testing had to be 
done in two cycles. During the first cycle, once a 15.6 kip load was applied the box girder moved 
horizontally. Testing was halted when this occurred and the girder was further secured to the 
ground. When testing resumed, the guardrail was loaded to failure. Yielding of the 3/4 in. bolt 
was observed following the first test cycle; therefore some of the plastic deformation capacity 
was used.  
The deflected shape of the guardrail at a load of 15.6 kips is shown in Figure 4.24. The plotted 
deflections are the deflections measured at the top of each post. Post 1 is not included in the plot 
because the transducer measuring displacement at the top of the post had been removed after test 
1. The deflected shape of the rail is symmetric. Posts 3, 4, and 5 deflected outward and away 
from the girder, with post 4 deflecting the farthest. Posts 2 and 6 deflected inward to a position 
over the girder. Figure 4.25 is a photograph showing the deflected shape of the guardrail during 
testing. 
41 
-1.0
-0.5
0.0
0.5
1.0
1.5
2.0
2.5
3.0
3.5
4.0
4.5
0.0 5.0 10.0 15.0 20.0 25.0 30.0
Location Along Guardrail (ft)
D
ef
le
ct
io
n 
(in
.)
Post 2 Post 6
Post 4
Post 3
Post 5
 
Figure 4.24. Deflected shape of the guardrail during test 2 
 
Figure 4.25. Photograph of deflected guardrail during test 4 
Strains measured in the posts are plotted in Figure 4.26. Posts 1 and 2 are not plotted for clarity 
because the strains were less than 20 microstrain. As expected, post 4 experienced the largest 
strains. The strains in posts 3 and 5 were similar during loading, with post 5 strains approaching 
that of post 4 near the end of the test. Posts 1, 2, and 6 were lightly strained. The maximum strain 
is equivalent to a stress of 18.2 ksi, which is less than the yield stress of 46 ksi. 
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Figure 4.26. Post strains during test 2 
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5. FIELD TESTING 
Field testing of the Madison Co. Precast Bridge took place in both 2007 and 2008 to allow for 
quantification of behavior changes of the bridge. The following sections describe the test 
procedures/protocols used for testing the bridge, and test results for the bridge. 
5.1 Evaluation methodology and instrumentation 
The Iowa State University Bridge Engineering Center in conjunction with Madison County and 
the Iowa Department of Transportation developed the monitoring and evaluation plan for the 
bridge. The plan entailed investigating the long term performance of individual members and 
joints and the long term performance and overall behavior of the completed bridge. 
Instrumentation was placed at important locations to collect deflection, strain, acceleration, and 
corrosion data. Figure 5.1 illustrates the instrumentation layout of the bridge. Corrosion 
electrodes were permanently installed on two strands in each girder prior to casting. The strands 
that were instrumented with corrosion electrodes are located in the top corners or the bottom 
corners of the girder. Figure 5.1 show the electrode number and top or bottom designations of 
the strand location. 
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Figure 5.1. Instrumentation layout 
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Field testing took place in 2007 and then again approximately one year later in 2008 to allow for 
quantification of behavior changes. In both instances the testing consisted of point in time live 
load testing with at fully loaded three axle dump truck that was driven over the bridge. The 
transverse position of the truck was varied with seven load cases(load case (LC) 1 through LC 7 
in 2007), as shown in Figure 5.2. The same load cases were used in 2008 with the exception of 
LC 6, which is nearly identical in location and 2007 results to LC 5. The same loaded dump 
truck was used for both the 2007 and 2008 testing and can be seen in Figure 5.3. The axle 
configurations and weights can be seen in Figure 5.4. The front and rear axles were weighed in 
2007 giving the axle loads shown in Figure 5.4. In 2008, however, only the total truck weight 
was obtained, therefore, load distribution of the 2007 truck was used to determine the 2008 axle 
loads.  
G6G5G4G3G2G1
6'-0" 2'-012"
 
a. LC 1 
G6G5G4G3G2G1
6'-0" 9'-1"
 
b. LC 2 
G6G5G4G3G2G1
6'-0" 5'-1"
 
c. LC 3 
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G6G5G4G3G2G1
6'-0"3'-1"
 
d. LC 4 
G6G5G4G3G2G1
6'-0"5'-1"
 
e. LC 5 
G6G5G4G3G2G1
6'-0"5'-0"
 
f. LC 6 
G6G5G4G3G2G1
6'-0"2'-012"
 
g. LC 7 
Figure 5.2. Transverse load positions: Vehicle traveled west into page 
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Figure 5.3. Madison County load truck 
   18,370 lb   18,370 lb 18,380 lb
 16’-5”4’-6”  
a. 2007 load truck 
   17,820 lb   17,820 lb 17,820 lb
 16’-5”  4’-6”  
a. 2008 load truck 
Figure 5.4. Vehicle configuration and axle loads 
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6. FIELD TEST RESULTS 
Field testing of the Madison Co. Precast Bridge took place in both 2007 and 2008 to allow for 
behavior changes of the bridge to be studied. The following sections describe the test results for 
the static and dynamic testing of the bridge. 
6.1 Static Loading 
The seven transverse load position shown in Figure 5.2 were used for the static load testing 
conducted 2007.  The same load cases were used for 2008 testing with the exception of LC 6. 
The load cases were selected to meet the goals of this project and general bridge engineering 
concepts. The truck traversed the bridge from east to west at crawl speeds in each load position 
in order to obtain displacement and strain information. The bridge response obtained from the 
load testing was used to determine bridge deflection, girder differential deflection, girder load 
fraction, girder distribution factor, fixity and neutral axis information. 
6.1.1 Bridge Deflection 
The maximum measured girder deflection for the load case investigated in 2007 and 2008 are 
show in Tables 6.1. and 6.2 respectively. In general for all load cases, the maximum deflection 
occurred when the trucks front axle position was approximately 40ft from the east abutment of 
the bridge. In 2007 the maximum girder deflection occurred at girder G1 during LC 7 with a 
deflection of 0.109 in. The maximum deflection during the 2008 testing also occurred during LC 
7 at girder G1 with a magnitude of 0.088 in.  
The code serviceability limit state for defection is L/800 for a bridge loaded with two HS20 
trucks and an applied dynamic amplification factor (AASHTO 1998, 1996). The limit state 
corresponds to a maximum deflection of approximately 0.70 in. For reference the estimated 
deflection from design calculations was 0.33 in, with two trucks. In order to compare the field 
tests results with the code and design values, two load cases (LC 3 plus LC7 and LC 1 plus LC5) 
were added together. The maximum deflection obtained from test was then 0.15 in. and 0.13 in. 
for 2007 and 2008 respectively. When the load truck is normalized by weight to the standard 
HS20 truck and a dynamic amplification factor of 1.29 is used, the maximum deflection is 0.25 
in., which corresponds to a span to deflection ratio of L/2236.  
Table 6.1. 2007 Maximum midspan girder deflection 
 Load Case 
LC 1 LC 2 LC 3 LC 4 LC 5 LC 6 LC 7 
Deflection (in.) 0.097 0.074 0.078 0.097 0.083 0.084 0.109 
Deflection Location G6 
(D1) 
G3 
(D7) 
G5 
(D3) 
G1 
(D12) 
G1 
D(12) 
G1 
(D12) 
G1 
(D12) 
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Table 6.2. 2008 Maximum midspan girder deflection 
 Load Case 
LC 1 LC 2 LC 3 LC 4 LC 5 LC 6 LC 7 
Deflection (in.) 0.083 0.068 0.066 0.082 0.073 - 0.088 
Deflection Location G6 
(D1) 
G3 
(D8) 
G5 
(D3) 
G2 
(D10) 
G2 
(D10) 
- G1 
(D12) 
 
 
Representative time-history deflections for LC 3 tests in 2007 and 2008 are shown in Figure 6.1. 
The time history deflection plots shows deflection at midspan and quarterspan at the joint 
between girder G4 and G3. Figure 6.2 shows the transverse deflection of the bridge when the 
longitudinal position of the truck produced the maximum deflection at the midspan for 2007 and 
2008 testing. For comparison purposes all 2008 deflections shown in Figure 6.2 were normalized 
to the 2007 load truck weight.  In general the girders that had the largest deflection were located 
closest to the load. Transverse load distribution is evident in Figure 6.2 as the girders adjacent to 
the directly loaded girders also deflecting creating a continuous deflected shape. The 2007 and 
2008 testing produced nearly the same transverse deflected shape.  
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                     a. 2007; LC 3                                         b. 2008; LC 3 
Figure 6.1. Representative time history deflections  
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a. LC 1 
-0.12
-0.10
-0.08
-0.06
-0.04
-0.02
0.00
0 1 2 3 4 5 6
Longitudinal Joint
D
ef
le
ct
io
n 
(in
.) 
 
midspan 07'
quarterspan 07'
midspan 08'
quarterspan 08'
 
b. LC 2 
-0.12
-0.10
-0.08
-0.06
-0.04
-0.02
0.00
0 1 2 3 4 5 6
Longitudinal Joint
D
ef
le
ct
io
n 
(in
.) 
  
midspan 07'
quarterspan 07'
midspan 08'
quarterspan 08'
 
c. LC 3 
Figure 6.2. 2007 and 2008 transverse deflected shape at midspan and quarterspan 
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d. LC 4 
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e. LC 5 
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Figure 6.2. 2007 and 2008 transverse deflected shape at midspan and quarterspan 
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Figure 6.2. 2007 and 2008 transverse deflected shape at midspan and quarterspan 
Figure 6.3 shows the absolute maximum differential deflection at midspan and quarterspan for 
each of the 2007 and 2008 load cases. Again, the 2008 differential deflections were normalized 
to the 2007 load truck weight. The obtained differential deflections for both testing periods were 
less than 0.03 in. During the 2007 testing, the differential between girder G1-G2 was the largest 
for all load cases. The differential deflection at G1-G2 was also nearly constant for all load cases 
and appears to be independent of the load truck position. The largest difference occurred for LC 
3 with a magnitude of 0.028in. The 2008 testing had maximum differential deflection of 0.023 
in., which occurred at the quarterspan joint of G3-G4 for LC1. This location showed the same 
phenomenon as the 2007 G1-G2 joint, in which the differential deflection seems to be 
independent of load truck position. It is uncertain why the constant differential deflection 
occurred at these locations and why it was not consistent during both testing periods. In general, 
when comparing the midspan differential deflections, the 2007 results showed larger values than 
2008 values. The quartespan location had similar differential deflection results for both years, 
with the exception of G3-G4. Overall the deflections were small leading one to believe the 
grouted shear key and hand tight post tensioning rod are adequate for load transfer and limiting 
problems with wearing surfaces deterioration. This limited testing does not allow for conclusions 
to be drawn as to whether or not this behavior would continue throughout the bridge life. 
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Figure 6.3. 2007 and 2008 differential deflections 
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Figure 6.3. 2007 and 2008 differential deflections 
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Figure 6.3. 2007 and 2008 differential deflections 
6.1.2 Bridge Strains 
BDI strain transducers were placed on the underside of the girders to obtain strain information 
for each load case. The maximum strains for each load case during the 2007 and 2008 testing can 
be seen in Tables 6.3 and 6.4, respectively. The maximum strain obtained during the 2007 load 
testing occurred during LC 7 at quarterspan transducer B28 with a strain of 118 με. In 2008 
transducer B27 had the highest strain of 49 με also taking place during LC 7. It is not clear why 
the strain levels were dramatically smaller in 2008. In general, when the load path was located 
on the south side of the bridge, i.e., load case LC 4 through LC 7, the quarterspan transducers on 
girder G1 and G2 had higher strains than the midspan strains. Figure 6.4 and 6.5 show this 
characteristic for 2007 and 2008 LC 7 midspan, quarterspan, and eighthspan strains respectively.  
Load case 4, LC 5, and LC 6 have similar strain characteristics as seen with LC 7. 
Table 6.3. 2007 Maximum midspan girder strains 
 Load Case 
LC 1 LC 2 LC 3 LC 4 LC 5 LC 6 LC 7 
Strain (με) 43 47 39 90 86 84 118 
Gauge Location G5 
(B2) 
G1 
(B28) 
G5 
(B2) 
G1 
(B28) 
G1 
(B28) 
G1 
(B28) 
G1 
(B28) 
 
Table 6.4. 2008 Maximum midspan girder strains 
 Load Case 
LC 1 LC 2 LC 3 LC 4 LC 5 LC 6 LC 7 
Strain (με) 37 33 34 41 36 - 49 
Gauge Location G5 
(B2) 
G3 
(B8) 
G5 
(B2) 
G1 
(B27) 
G2 
(B11) 
- G1 
(B27) 
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Figure 6.4. 2007 Experimental strains; LC 7 
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Figure 6.5. 2008 Experimental strains; LC 7 
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The experimental strain measurements were compared with analytical strains.  The analytical 
strains were computed using the material properties obtained from the laboratory results and load 
fraction values discussed herein. The analytical and experimental results were compared using 
data obtained from girder G4 during LC3. This load case and girder were selected because the 
load case represents the most likely load path the bridge will encounter while in-service on a low 
volume road and the girder was directly influenced by the load truck. Figure 6.6 and 6.7 show 
the 2007 and 2008 respective results for the comparison between analytical and experimental 
strain. From Figure 6.6 it can be seen that the midspan behavior of girder G4 lies between 
“pinned-pinned” and “fixed-fixed”, however, when the same comparison is made at the 
quarterspan and eighthspan the experimental results are nearly identical to the analytical results. 
Similar results are shown for the load test conducted in 2008 in Figure 6.7. The comparisons 
indicate the girders exhibit very little rotational restraint at the supports and act as simply 
supported beams.  
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Figure 6.6. 2007 Experimental and analytical strain comparison; LC 3 
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Figure 6.7. 2008 Experimental and analytical strain comparison; LC 3 
6.1.3 Bridge Load Fraction and Load Distribution 
Load fraction was calculated for each load case based on the assumption that the girders are of 
equal stiffness. The approximate load fraction for each girder can, therefore, be obtained with the 
following equation: 
∑
=
= n
i
i
i
iLF
1
ε
ε
          (6.1) 
Where LFi = load fraction of the ith girder, εi = strain of the ith girder, Σεi = sum of all girder 
strains, and n = number of girders.  
Figure 6.8 shows the load fraction for the 2007 and 2008 testing. Girder G5 was seen to have the 
largest load fraction for both the 2007 and 2008 testing. The largest load fraction occurred during 
the 2008 LC 1 and was 0.28. LC 1 also had the lowest load fraction which occurred in 2007 with 
a value of 0.08. The load fraction was generally largest at the girders located directly below the 
truck. The load fraction decreased as the transverse distance from the girder to the load truck 
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increased. When the load truck was located in the center of the bridge (i.e. LC2) the load was 
approximately distributed evenly to all girders.  
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Figure 6.8. Experimentally obtain load fraction 
Load distribution was determined experimentally by adding the load fractions of two 
complementing load cases. Combining LC 1 plus LC 5 and LC 3 plus LC 7 provided proper lane 
loads for determining load distribution. Figure 6.9 shows the 2007 and 2008 experimental load 
distributions along with the design value used by the Iowa DOT, and code distribution factors 
from AASHTO LRFD 1998, and AASHTO Standard Specification 1996. The largest obtained 
load distribution factor was obtained during the 2008 combination LC 1 and LC 5 testing with a 
value of 0.43 at G5, however both 2007 and 2008 testing showed very similar results. The lowest 
value was 0.25 at girder G1. When comparing the experimental test results with the AASHTO 
LRFD load distributions, the experimental values exceed the codified distributions at the center 
of the driving lanes. When the experimental test results are compared with the Iowa DOT design 
values and the AASHTO Standard Specification recommendations, the experimental results 
show the bridge performance is conservative. 
59 
0.350.340.340.340.340.35
0.570.570.570.570.570.57
0.50.50.50.50.50.5
0.00
0.10
0.20
0.30
0.40
0.50
0.60
0 1 2 3 4 5 6 7
Girder Number
Lo
ad
 D
is
tri
bu
tio
n 
 
2008 2007 AASHTO LRFD 1998 AASHTO Standard Spec. 1996 IDOT Design Calcs 
 
a. LC3 + LC7 
0.350.340.340.340.340.35
0.570.570.570.570.570.57
0.50.50.50.50.50.5
0.00
0.10
0.20
0.30
0.40
0.50
0.60
0 1 2 3 4 5 6 7
Girder Number
Lo
ad
 D
is
tri
bu
tio
n 
 
2008 2007 AASHTO LRFD 1998 AASHTO Standard Spec. 1996 IDOT Design Calcs 
 
 b. LC1 + LC5 
Figure 6.9. Experimental and codified load distributions 
6.1.4 Girder Neutral Axis Location 
In addition to strain transducers placed on the bottom of the girders during testing, transducers 
were placed on top of the girders at B4, B10, and B13 locations for various load cases. The top 
strains, in combination with the bottom strain data, were used to estimate the neutral axis 
location of the girders during testing. Figure 6.10 shows the neutral axis location for girders G1, 
G2 and G4 for LC1, LC2, and LC5 respectively. The location of the neutral axis used for design 
was 13.15 in. measured from the bottom of the girder, which is also shown in Figure 6.10. The 
experimentally obtained neutral axis varies between testing periods. The experimental neutral 
axis location for the 2007 testing was very close to the design value for girder G4 and G2. In 
2008 the experimentally obtained neutral axis location was close the design location for girder 
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G1. Explanations for the high neutral axis location during the 2007 testing for girder G1 could 
not be determined.. 
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Figure 6.10. Experimental neutral axis location  
6.2 Dynamic Loading 
Load case 2 and 7 were used for dynamic load testing. During testing the truck was driven over 
the bridge at a crawl speed to determine the base line strain and deflection. Then the truck was 
driven over the bridge at 10mph, 20mph, 25mph, and 35mph to obtain dynamic deflections and 
strains. Bridge accelerations were also obtained to determine free vibration and damping 
characteristics. 
 
6.2.1 Dynamic Amplification Factor 
To account for the load “increase” induced by vehicle/bridge interaction, the dynamic load 
allowance was evaluated (Bigelow et.al., 2005). The dynamic load allowance, which is also 
known as the dynamic amplification factor (DAF), accounts for the irregularity of the deck 
surface, the bridges static and vibratory deflection and stress, and the interaction between the 
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vehicle and the bridge. The current AASHTO LRFD DAF design value is 1.33, while the 
AASHTO Standard Specification is 1.29. The experimentally obtained dynamic amplification 
(DA) is the ratio defined as: 
stat
statdynDA ε
εε −=          (6.2) 
Where εdyn = the maximum strain of the vehicle traveling at normal speed (at a given location) 
and εstat = the maximum strain of the vehicle traveling at crawl speeds (at the same location). The 
amplification factor is then given by:  
DADAF += 1          (6.3) 
The dynamic response of B6 for LC2 and B11 for LC7 are the focus herein for determining the 
DAF because they were found to be one of the most heavily loaded and because they fell in the 
zone of direct influence. However, it should be pointed out that similar results were obtained at 
other locations. 
Figure 6.11 shows the dynamic B6 strains at the various speeds. The bridges maximum DAF was 
obtained during the 2008 testing with a value of 1.30 at a 10mph speed. The B6 DAF for LC 2 
testing can be seen in Figure 6.12. The maximum B6 DAF was 1.26 in 2007 at 10mph. In 
general the 2007 and 2008 B6 DAF plots for the bridge were very similar. The plot shows that at 
low speeds (<25mph) the DAF is largest starting at 10mph. As the speed increases, the DAF 
decreases until reaching a low DAF of 1.04 at 25mph. The DAF then increases at 35 mph. 
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Figure 6.11. Transducer B6 dynamic response LC2  
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Figure 6.12. 2007 and 2008 DAF LC 2 
Figure 6.13 shows the dynamic transducer B11 strains at the various speeds for load case LC7 in 
2007 and LC4 in 2008.  Due to road conditions during the 2008 testing the higher speed truck 
passes could not be completed for LC7, therefore, LC4 was used for comparative purposes. The 
maximum DAF obtained during the 2008 testing was of 1.23 at 25mph speed at transducer B7. 
The B11 DAF for load case LC7 and LC4 can be seen in Figure 6.14. In general the 2007 and 
2008 B11 DAF had very similar patterns, however the 2008 testing had consistently a higher 
DAF (by approximately 0.10).  The plot shows that as the DAF decreases from low speeds to 
moderate speeds and then increase as the speed increases to higher speeds.  
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Figure 6.13. Transducer B11 dynamic response LC7  
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Figure 6.14. 2007 and 2008 DAF LC7 
6.2.2 Vibration and Damping 
From the free vibration records one vibration mode was identified. The free vibration record and 
FFT results showing the vibration modes can be seen in Figure 6.15 and 6.16 for the 2007 and 
2008 testing respectively. The first flexural longitudinal frequency of approximately 8.0 Hz was 
found for the Madison County Bridge for both the 2007 and 2008 testing. The structural 
damping determined from the free vibration was recorded to be approximately 2.5% of critical. 
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           a. Free vibration record; A3; 35mph                          b. FFT; A3; 35mph 
Figure 6.15. Acceleration and frequency plots for 2007 testing 
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             a. Free vibration record; A3; 35mph                        b. FFT; A3; 35mph 
Figure 6.16. Acceleration and frequency plots for 2008 testing 
6.3 Corrosion Monitoring 
Corrosion monitoring of the strands was completed with the use of Vetek V2000 corrosion 
monitoring system. The V2000 braided silver electrode that is wrapped around the monitored 
strands can be seen in Figure 6.17. The V2000 monitor works by measuring the electric potential 
between the strand and the electrode with the pore water of the concrete acting as an electrolyte 
between the two. An increase in the electric indicates that corrosion activity is taking place. The 
electric potential is measured with a voltmeter with three different ranges of readings 
representing three different stages of corrosion. The three different stages are listed below in 
Table 6.5.  
 
Figure 6.17. Corrosion electrode wrapped around strand 
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Table 6.5. Vetek V2000 electrode readings 
Range Voltmeter Reading Range Description 
Range 1 Less than 300mV dc No corrosion activity is taking place 
Range 2 From 300mV to 400mV dc 
Corrosion is either just starting or just 
stopping due to lack of oxygen 
Range 3 400mV dc and above 
Corrosion is fully active on the steel 
strand 
 
The strands that were selected for monitoring, as described in Section 5.1, were instrumented 
with approximately 5 ft of electrode place at the west end, center and east end of the strand. 
Electrode readings were taken during the construction of the bridge in early 2007 and 
approximately one year later in 2008. The results of the electrode readings are shown in Table 
6.6. The 2007 results show five locations where the voltage reading is in Range 2. These same 
five locations in 2008, however, were below 300mV dc meaning the corrosion in 2007 was 
either not occurring or stopping due to lack of oxygen. In 2008 four locations had corrosion 
readings in Range 3, indicating corrosion of the strand is taking place.  
Table 6.6. V2000 millivolt electrode readings 
Electrode 
Location 
2007 (mV dc)  2008 (mV dc) 
West Center East  West Center East 
1 Top 0 0.1 0.1  0 0 36 
2 Top 0.5 0 286  186 474** 228 
3 Top 333* 0 220  73 409** 148 
4 Top 0 37 211  0 71 82 
5 Top 301* 203 246  72 286 98 
6 Top 245 198 38  28 349* 28 
7 Bot 140 205 37  122 200 76 
8 Bot 325* 10 17  155 206 72 
9 Top 274 36 234  266 5 75 
10 Top 330* 318* 243  31 25 103 
11 Bot 279 189 1.6  487** 319* 586** 
12 Bot - 128 196  96 11 200 
*Readings in Range 2 
**Reading in Range 3 
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7. CONCLUSIONS AND RECOMMENDATIONS 
The objective of this project was to evaluate the bridge component and to asses the overall 
design, construction, and field performance. To complete these objectives both laboratory and 
field testing took place. 
In order to obtain comprehensive conclusions several tasks were completed including 
observation of the fabrication and construction; laboratory investigation of transverse post-
tensioning force, strength properties, and guardrail connection; and in-situ evaluation of 
performance under live load. 
Based on the information obtained from laboratory testing the following conclusions were 
determined.  
• The maximum differential deflection measured between adjacent box girders was 
0.011 in. 
• The shear key is effective in transferring load to adjacent girders. With the shear key 
intact, the load fraction for the loaded girder ranged from 0.53 to 0.60. The load 
fraction for the loaded girder without the shear key and a hand-tight post-tensioning 
force was 0.95. This indicates that an intact shear key is critical to the performance 
• The magnitude of the post-tensioning force exhibited no significant effect on load 
fractions for adjacent girders. 
• Cracking occurred at an applied moment of 781 kip*ft, which is greater than the 
theoretical moment of 721 kip*ft.  
• Cracking did not occur under service loads. 
• The flexural strength test was concluded at an applied moment equal to 962 kip*ft, 
which exceeded the theoretical moment strength of 955 kip*ft. 
• Service limit state stresses were not exceeded by service level loads. 
• The experimental shear strength equaled 197 kips, which exceeded the theoretical 
shear strength of 79 kips. 
• The guardrail connection exceeded the AASHTO design transverse force for two of 
the four tests. Tests where the connection did not meet the AASHTO requirements 
were likely the result of the surrounding posts already having been tested to failure 
and the resulting poor load transfer capability.  
 
Based on the results of the laboratory testing, the following actions are recommended: 
• Apply a minimum post-tensioning force equal to hand-tightening the transverse tie 
rod.  
• If a higher post-tensioning force is desired, the force should be greater than 25 kips. 
A slight benefit in load distribution was noticed for post-tensioning forces greater 
than 25 kips. 
 
The following are conclusions and recommendations based on the results from field testing.  
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• The maximum deflection obtained from testing was 0.109 in., which is less than 
current code requirements and predicted design values. 
• Very little differential movement was seen between longitudinal girder joints. The 
maximum differential deflection for the girders was less than 0.03.  
• The maximum strain was 118με which was obtained at the quarterspan location. The 
quarterspan strains were generally found to belarger than the midspan strains for all 
load cases where the truck was on the south side of the bridge.  
• The bridge girders exhibit very little rotational restraint and should be designed as 
simply supported beams.  
• An intact shear key and a transverse, hand-tight post-tension tie appear to adequately 
distributed load to adjacent girders.  
• The use of 0.5 load distribution factor is conservative and is recommended for future 
box girder bridge design. 
• The maximum DAF obtained from testing was 1.30. This was slightly greater than 
the AASHTO Standard Specification but less than AASHTO LRFD design values.  
• The natural frequency of the bridge was approximately 8.0Hz falling between the 
body bounce and axle hop vehicle frequencies.  
• Of the 12 strands monitored for corrosion three were indicating that full corrosion 
activity was taking place. Two of the strands were located in the top of the girder, 
while one was located in the bottom of the girder.  
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